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Abstract Seismic performance of Steel Moment-Resisting Frames (SMRFs) with side-plate connections
has been investigated, incorporating record-to-record uncertainties. Based on experimental and finite
element results, a connection model was proposed and calibrated to represent the side-plate connection
behavior. Three code-conforming special SMRFs, varying in height, were designed and were modeled
using fully nonlinear assumptions and incorporating the connection model calibrated in the previous
step. Subsequently, more than 1500 Nonlinear Dynamic Analyses (NDAs) were performed within the
Incremental Dynamic Analysis (IDA) procedure and were used as input to the Performance-Based
Earthquake Engineering (PBEE) methodology. The structures performance was then quantitatively
assessed in terms of Limit State (LS) frequency and ‘‘seismic demand hazard curves’’. The effect of
neglecting some level of accuracy in the structural modeling process on the predicted performances
was also assessed disregarding calibrated connection behavior and employing two alternate sets of
building representatives. The performances predicted by inaccurate conventional models, through about
3500 additional NDAs, were then assessed qualitatively, and the significance of incorporating accurate
structural models in the performance evaluation process was highlighted with reference to the obtained
comparative results.
© 2012 Sharif University of Technology. Production and hosting by Elsevier B.V.
Open access under CC BY-NC-ND license.1. Introduction
During a likely seismic event, connections in a steel frame
will experience a large amount of force and deformation
demands because of their critical position in the structure.
Moreover, abrupt discontinuity at the beam-to-column inter-
face, imposed by construction practice, makes connections
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Open access under CC BY-NC-ND license.susceptible to several unfavorable damage modes. Thus, the
performance of steel frames is greatly influenced by the behav-
ior and capacity of their connections. This fact has been greatly
highlighted after the widespread damage observed in steel
structures in the Northridge 1994 earthquake. In aftermath
of this event, an extensive research program was conducted
by the US Federal Emergency Management Agency (FEMA) to
address stimulated concerns. The outcome of the wide inves-
tigations performed improved engineering intuition for a bet-
ter understanding of connection performance. Subsequently, a
set of state-of-the-art reports and several guidelines were pub-
lished (e.g. [1,2]).
In order to ensure providing adequate strength, stiffness
and ductility, two alternatives are included in the connection
provisions of advanced guidelines [1,2]. One choice is to
adopt one of the prequalified suggested connections, and the
second possibility is to rely on the performance of any specific
connection detailing by conducting project-based testing that
could demonstrate the appropriateness of the connection.
The prequalified connections contained in FEMA-350 [1] have
improved detailing, so that the beam plastic hinge formation is
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shifted away from the column face. High demands at the beam-
to-column interface, possibly themain reason for brittle failures
during the Northridge earthquake, are therefore significantly
decreased. These prequalified connections are of two main
categories, namely, ReducedBeamSection (RBS), and reinforced
detailing. In the former, the lower strength of RBS shields
the connection from high demands, while in the latter, the
formation of plastic hinge in the beam-column interface is
hindered by providing reinforcement.
While the RBS connection has shown some promising
features, the low lateral stiffness of RBS frames makes this
type of connection inappropriate for cases where high lateral
stiffness is needed. Moreover, keeping the lateral stiffness
of a RBS frame equal to that of a frame with reinforced
connectionswill lead to heavy beam sections, whichmay not be
justified according to project economy. Besides, the decreased
torsional stiffness of the beam’sweakened portion increases the
likelihood of occurring severe local buckling,whichmay involve
high repair costs after severe events. Furthermore, the reduced
properties of RBS make containing frames vulnerable when
there is a high potential risk of progressive collapse, whichmay
be, for instance, due to a likely terrorist attack.
Among alternate ways for strengthening the beam end, it
has been shown that the side-plate method [3] would offer
outstanding behavior because of its spectacular configuration.
A uniaxial configuration of side-plate connection is illustrated
in Figure 1. In this type of connection, beam ends are not
attached directly to the columns, that is, they are instead
sandwiched to the column by means of two strong full-depth
side plates. Some advantages of this connection are listed
below [3]:
• The beam end is physically separated from the column face,
thus stress concentration at the beam-to-column interface,
which is likely in ordinary welded detailing and is thought
to lead to brittle weld fracture, is eliminated.
• Because of two thick side plates acting in conjunction with
column webs, in this connection, the panel zone has very
high stiffness; consequently, excessive shear distortion of
the panel zone, which is also considered a cause of stress
concentration and, therefore, fracture in weld metal is
terminated. Additionally, no doubler plates are required and
no panel zone proportioning is implied by the connection
design procedure.• A simple and clear load transfer regime provided by side
plates reduces the complexity of the design procedure, that
is, complex stress distribution in ordinary welded types,
which entails precise investigations for calculation of peak
stress, is prohibited.
• Continuity of beams across the column offered by side plates
supplies the connection assembly with a superior ability to
withstand abrupt loss of the downside column in case of
terrorist attack; therefore, progressive collapse of the frame
is effectively restrained.
• Due to the heavy reinforcement of the beam end at side-
plate detailing, the beam’s rigid end offset is expanded to
its largest value, thus reducing the beam effective length
and, thereby, leading to smaller beam sections. Hence,
making use of side-plate connections will lead to enhanced
economy, compared to RBS frames.
• Along with economical and behavioral aspects of side-plate
connections, the well-accepted fabrication process of side-
plate column-trees is urging the public trend towards more
and more usage of this connection.
According to these advantages, the performance of steel
moment frames with side-plate connections is investigated in
this study with respect to earthquake-induced uncertainties.
For this purpose, an Incremental Dynamic Analysis (IDA) ap-
proach [4] is used to evaluate the uncertainties introduced by
the inherent randomness of earthquake hazard. A connection
model that accounts for strength degradation within hysteretic
loops is first developed, using the OpenSees program, and is
subsequently calibrated andverified versus available laboratory
and Finite Element (FE) results of previous studies [5,6]. This
connection model is next incorporated in 3 two-dimensional
frames with varying heights. These frames are adopted as rep-
resentative of three-dimensional structural systems designed
as special moment frames in accordance with provisions of ad-
vanced guidelines.
Following that, the IDA procedure is applied and the per-
formance of structures in two different levels, namely Collapse
Prevention (CP) and Immediate Occupancy (IO), is assessed.
First mode-5% damped spectral acceleration (Sa(T1, 5%)) and
peak inter-story drift ratio (θmax) are selected as representative
terms for the ground motion Intensity Measure (IM) and the
structures’ Engineering Demand Parameter (EDP), respectively.
The probability that the structural system will fail to meet the
desired performance is evaluated through Limit State (LS) anal-
ysis of IDA data. That is, conditional probability of exceedance
as a function of Sa values is generated for considered LS’s. The
resulting curves, which are known as fragility curves, are used
in the next step to tabulate the capacities of structures in terms
of Sa values corresponding to different failure probabilities and
regarding various performance levels (i.e. LS’s).
To make the mentioned probabilities independent of
IM levels, a full range of IM values and their individual
occurrence probabilities are considered by applying the total
probability theorem [7]. In this regard, the outcome of a
probabilistic seismic hazard study conducted for the territory
of metropolitan Tehran, the capital of Iran, has been deployed.
Accordingly, the annual failure probability of structures is
estimated in the next step. That is, the Mean Annual Frequency
(MAF) of LS exceedance is calculated utilizing the total
probability theorem. In addition to limit state conditions, the
Probabilistic Seismic Demand Analysis (PSDA) [8] framework
is utilized to calculate the MAF of exceedance for multiple
demand levels. The results are presented as ‘‘seismic demand
hazard curves’’ [9] of structures. In order to study how the
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models were used, the above procedure is repeated for two
additional frame models. That is to say, in the final part of this
study, the designed structures are modeled incorporating two
alternate approaches that do not use the thoroughly calibrated
connection model and represent two lower levels of accuracy.
The error existing in performances predicted by these models
are assessed through comparison with precise model results.
2. Previous studies on side-plate connections
Despite the advantages of side-plate connections over most
connections developed after the Northridge earthquake, they
have been addressed by very few studies. Houghton [3] per-
formed experimental testing on three uniaxial test specimens.
These specimens consisted of a W36 × 150 beam, which was
connected with full-depth side plates to a W14 × 426 col-
umn. Also, one dual strong axis specimen that consisted of
W36 × 170 beams was experimentally tested. In this speci-
men, beams were connected to a built-up cruciform column,
fabricated usingW36×230 sections in each principal direction,
to form a three-sided connection. Study results were generally
qualitative and implied that the desired behavior, intended by
the connection design procedure, could be achieved easily. The
only quantitative result was the average plastic rotation capac-
ity of the connection, reported as 0.036 rad, in accordance with
FEMA-267 [10] acceptance criteria.
Shiravand [11] in a numerical study at Amirkabir University
of Technology performed FE analyses of 9 uniaxial connection
assemblies using ANSYS software. These assemblies utilized
IPE beams with different heights positioned only at one side
of the column. The assemblies were designed regarding the
provisions of [12] and LRFD specifications of [13]. The modeled
subassemblies weremade up of columnswith double-IPE built-
up sections,which are commonly used as structuralmembers in
Iran. Moment–rotation hysteresis curves obtained from cyclic
analysis were highly stable and no degradationwas observed in
the strength and stiffness of the response cycles. Themonotonic
moment–rotation curve, which exactly reflected the envelope
of cyclic curves, consisted of two straight segments; one
corresponding to the initial elastic behavior of the assembly
and the other related to the strain hardening branch of ST-37
structural steel’s stress–strain curve. The location of the plastic
hinge formationwas found to be at the beam section outside the
cover plates (Figure 1). The column, as well as panel zone and
side plates, remained elastic during the analysis and nonlinear
behaviorwas totally concentrated at the described plastic hinge
location. Yakhchalian [5] performed a comparable study on
two-sided specimens. The very same behavior was reported for
connections again.
In an experimental study, Shiravand [6] carried out exper-
imental testing of a full-size subassembly of side-plate con-
nections. The assembly was configured following the SPD10
model of [5] and was tested under cyclic loading. The
test specimen was simultaneously modeled using the ANSYS
finite element platform. The computer analysis utilized actual
material strengths obtained from prototype coupon tests and
dimensions measured from the actual specimen. The Moment–
rotation curve of the SP01 assembly of this study is shown in
Figure 2. Envelopes of hysteresis moment–rotation curves ob-
tained from experiment and ANSYS are compared in Figure 3.Figure 2: Moment–rotation curve of SP01 assembly obtained from experimen-
tal testing [6].
Figure 3: Envelopes of hysteresis moment–rotation curves obtained from
experiment and ANSYS [6].
3. Numerical method used for modeling side-plate connec-
tion
As indicated previously, in this study, the joint model
intended for incorporation into the frame models is first
numerically calibrated through validation against experimental
and FE results incorporating OpenSees software. An illustration
of the numerical model established in OpenSees to represent
the connection assembly is depicted in Figure 4. As illustrated
in this figure, the lumped plasticity method is used for
representing the nonlinear behavior of beams utilizing plastic
hingeswhose location is determined according to experimental
observations. The rotational behavior of plastic hinges is
modeled using a zero-length spring, which connects two elastic
beam segments to each other. Elastic beams are defined using
actual section properties measured from the test specimen. As
observed in experiment [6], the location of the plastic hinge
in a side-plate connection system is about one-third the beam
height beyond the side plate,which is almost equal to the length
of the cover plate (Figure 1).
For modeling the built-up double-IPE columns formed of
two continuously welded I sections, distributed plasticity-
force formulated nonlinear beam-columns are used. In these
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elements, the continuous formation of plasticity within the
section height is reflected via the fiber section modeling
method, whereas the distribution of plasticity along the
element length is addressed through the definition of nonlinear
sections at five integration points. Properties of the bilinear
steel material defining column sections are taken from
laboratory coupon test results. The panel zone is modeled using
the OpenSees’ Join2D-1SPR element. According to the high
stiffness of the shear panel in the side-plate connections studied
here, where two side plates cooperate with the two webs of
tubular or double-IPE columns, the panel zone is assumed to
remain elastic during the analysis and its shear force-shear
distortion relationship is defined following Krawinkler [14].
4. Calibration of the connection model
As described in previous section, the experimental cruciform
assembly is represented numerically in OpenSees software. The
purpose of the calibration study is to predict the response
parameters of different IPE beam sections for incorporation in
modelling the side-plate frames studied in later parts of this
study. A quadrilinear back-bone, shown in Figure 5, is utilized
for representing the observed nonlinear moment–rotation
behavior of a side-plate connection assembly. Since interaction
between the assembly and the floor slab is not included
in the experimental set-up, the parameters of this model
are considered to be symmetric for positive and negative
directions. This back-bone model is combined with the
Mehanny–Deierlein damagemodel [15] to address the strength
deterioration evident in experimental results. This damage
model, which is based on cumulative plastic deformation,
calculates the strength of each new cycle as a fraction of the
yield strength. The relevant ratio is defined using a Damage
Index (DI) expressed via the following equation [15]:
DI =
(θp|currentPHC)α +

n
i=1
θp|FHC,i
β
(θpu)α +

n
i=1
θp|FHC,i
β ,
where θp|currentPHC and θp|FHC,i denote the plastic rotation of the
half cycle with the largest magnitude (primary half cycle), and
the plastic rotation of all previous half cycles with smaller mag-
nitudes (follower half cycles), respectively. θpu is the maximum
plastic rotation capacity of member, which is used as a calibra-
tion parameter in conjunction with parameters α and β . A halfTable 1: Calibration parameters forMehanny–Deirlein damagemodel [12].
A β γ θpu tolabs tolrel
1.7 2.0 2.0 0.17 0.02 0.1
Figure 5: Quadrilinear back-bone for representing themoment–rotation curve
of side-plate connection.
cycle initiates when the differential of deformation changes in
the sign. To neglect the damage of initial cycles until a desired
deformation limit is reached (as observed in test results), excur-
sions are filtered using two limits, one absolute (tolabs) and the
other relative (tolrel) to the θpu mentioned above.
For calibration of the proposed back-bone and damage
model, experimental data extracted from the cyclic testing
of [6] are used as a basis. Primarily, the parameters of the
quadrilinear backbone are defined for the experiment’s IPE300
beam, so that experimental and OpenSees envelopes coincide.
The damage model parameters of the IPE300 model are also
calibrated for achieving a fit with the cyclic deterioration of
the experimental moment–rotation curve. The results of this
calibration are given in Table 1. Due to the lack of experimental
data that could be reliably used to establish the damage model
parameters for all beam sections, the IPE300 damage model is
attributed to other models, assuming the deterioration model
to be independent from the beam section dimensions.
The numerical back-bone, obtained from FE analysis [6] for
the aforementioned IPE300 model, is used in the next step to
establish a parametric relation between FE and experimental
back-bones. These relations are used later to modify the
back-bone curves resulted from FE analyses of [5], so that
the negative post-capping branch is included. Ultimately,
hysteretic moment–rotation curves are established for a
number of beam sizes, which combine the calibrated damage
model with the size-specific back-bone parameters.
The hysteretic moment–rotations of the IPE300 model
obtained from experiment and OpenSees are illustrated in
Figure 6. The good agreement between experimental and
OpenSees moment–rotation curves is evident in this figure.
Figure 7 shows plots of negative and positive Normalized
Hysteretic Energy (NHE = ni=1 Ei/Fyδy) as a function of the
number of excursions for experimental and numerical models.
These plots also denote that the histories of NHE are in good
agreement for analytical and experimental results. A typical
moment–rotation curve established combining a modified FE
back-bone and the experimentally derived damage model is
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OpenSees.
Figure 7: History of normalized hysteretic energy for positive and negative
excursions.
Figure 8: Moment–rotation curves of IPE270 beam section; extrapolated by
OpenSees vs. ANSYS.
compared in Figure 8 to the corresponding ANSYS-resulted
curve.Table 2: Code-based design parameters and natural periods of structural
models [13].
Num.
of
stories
Height
(m)
Model
T1 (s)
Code-
based
T1 (s)
C W (ton) V = C ·W
(ton)
3 10 0.87 0.48 0.129 464.1 60.1
7 22 1.32 0.87 0.086 1105.3 95.7
15 46 2.16 1.5 0.050 2387.8 119.1
5. Design and modeling of steel moment frames
5.1. Design of buildings
To investigate the performance of steelmoment frameswith
side-plate connections, three 3-, 7- and 15-story perimeter mo-
ment frames are designed, with reference to pertinent provi-
sions in UBC-97 [16], AISC 360-05 [13] and AISC 341-05 [17].
Design loads are computed for a standard office building. Build-
ings are located at a site with SD soil type (per UBC-97 [16]) in
Tehran city and were proportioned as special moment resisting
frameswith identical floor plans. Details of parameters used for
determining earthquake static design forces are given in Table 2
with respect to UBC-97 [16]. In calculation of these values, pa-
rameters Z = 0.4, Ca = 0.44, Cv = 0.64,Na = Nv = 1 and
R = 8.5 are used. These parameters are defined in [16].
As a result of the strong column–weak beam principal
being satisfied in design of the experimental [6] and FE
assemblies [5] addressed in the calibration part of this study,
column behaviour has been reported to experience very minor
nonlinearities during the loading history [5,6]. This observation
makes the calibration results almost independent from the
incorporated column sections. Relying on this observation,
the calibrated double-IPE column sections are substituted in
this study with well-known tubular columns for the sake of
more generalized conclusions regarding the side-plate frames
performance. Dimensions aswell as design details of frames are
illustrated in Figure 9 incorporating European standard TUBO
and IPE sections.
The design of side-plate connections is taken from [5]
specimens for different beam sizes. These specimens had been
designed in [5] with reference to [13]. For beam sizes with
no representative in specimens of [5], plate dimensions are
computed using two upper- and lower-in size specimens.
Similarly, the plastic hinge back bones of such beams are
extracted fromother beamsections through a simple regression
estimation.
5.2. Modeling of frames in OpenSees
Regarding the biaxial symmetry of structural plans, and
neglecting the possible asymmetry of earthquake excitation,
only one-half of each structure is modeled in each direction
using OpenSees software. Therefore, one perimeter moment
frame is modeled and considered to carry one-half of the
story weight. For calculation of the building lumped mass
matrix, total dead loads plus 25% of live loads are included,
and the masses are distributed among story nodes. In order
to account for the effect of the internal gravity system on
amplification of P-Delta effects in moment frames of the
original structure, leaning columns are introduced to the
two-dimensional representatives of buildings, as illustrated
in Figure 10. Leaning columns are rigid elements connected
through bearing connections and rigid truss elements to each
other and to the main frame, respectively.
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6. Ground motion histories
For performing IDA analyses, 44 (22 pairs) ground motion
time histories introduced by FEMA P695 [18] are used. Details
of corresponding events, as well as the smallest, average, and
largest values of three seismological parameters of ground
motion, are given in Tables 3 and 4, respectively.7. Incremental Dynamic Analysis (IDA) of frames
7.1. Overview
Incremental Dynamic Analysis is a newly developedmethod
for quantifying earthquake-induced uncertainties in structural
reliability analysis [4]. In order to perform the IDA, a set of
ground motion acceleration records are selected. A response
history analysis is performed using increasingly scaled records,
and the predicted response parameter (Engineering Demand
Parameter, EDP) of interest is recorded for each analysis. The
scaling action initiates by a sufficiently low value of Intensity
Measure (IM), a parameter assumed as a suitable representative
of earthquake intensity, such that a linear structural response
is ensured; the action continues until the ‘‘structural collapse’’
state is reached. A plot is, then, made of the predicted EDP’s
against the IM values against which ground motion records
were scaled.
For performing an IDA, an important issue is the suitable
selection of IM and EDP. A properly selected IM will yield in a
smaller scatter in the statistical distribution of IDA data; rather,
selection of EDP must be based on the structure’s expected
function, as well as its dominant failure mechanism. In this
study, 5% damped first mode spectral acceleration (Sa(T1, 5%))
and maximum inter-story drift ratio (θmax) are chosen as IM
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ID Magnitude Year Name Station Site class
(NEHRP)
Fault type Site-to-source
epicentral
distance
PGA
max
a
1 6.7 1994 Northridge Beverly hills-14145 Mulhol D Thrust 13.3 0.52
2 6.7 1994 Northridge Canyon Country-W Lost Cany D Thrust 26.5 0.48
3 7.1 1999 Duzce, Turkey Bolu D Strike-slip 41.3 0.82
4 7.1 1999 Hector Mine Hector C Strike-slip 26.5 0.34
5 6.5 1979 Imperial valley DeltaU D Strike-slip 33.7 0.35
6 6.5 1979 Imperial valley El Centro array #11 D Strike-slip 29.4 0.38
7 6.9 1995 Kobe, Japan Nishi-Akashi C Strike-slip 8.7 0.51
8 6.9 1995 Kobe, Japan Shin-Osaka D Strike-slip 46 0.24
9 7.5 1999 Kocaeli, Turkey Duzce D Strike-slip 98.2 0.36
10 7.5 1999 Kocaeli, Turkey Arcelik C Strike-slip 53.7 0.22
11 7.3 1992 Landers Yermo fire station D Strike-slip 86 0.24
12 7.3 1992 Landers Coolwater D Strike-slip 82.1 0.42
13 6.9 1989 Loma Prieta Capitola D Strike-slip 9.8 0.53
14 6.9 1989 Loma Prieta Gilroy array #3 D Strike-slip 31.4 0.56
15 7.4 1990 Manjil, Iran Abbar C Strike-slip 40.4 0.51
16 6.5 1987 Superstition hills El Centro Imp. Co. Cent D Strike-slip 35.8 0.36
17 6.5 1987 Superstition hills Poe road (temp) D Strike-slip 11.2 0.45
18 7.0 1992 Cape Mendocino Rio Dell overpass-FF D Thrust 22.7 0.55
19 7.6 1999 Chi-Chi, Taiwan CHY101 D Thrust 32 0.44
20 7.6 1999 Chi-Chi, Taiwan TCU045 C Thrust 77.5 0.51
21 6.6 1971 San Fernando LA-Hollywood Stor FF D Thrust 39.5 0.21
22 6.5 1976 Friuli, Italy Tolmezzo C Thrust 20.2 0.35
a Maximum between two orthogonal directions.Table 4: Range of values for three seismological parameters of ground
motion histories.
Parameter Minimum Average Maximum
Magnitude 6.5 7 7.6
PGA max(g)a 0.21 0.43 0.82
Site-to-source epicentral distance 11.1 16.4 26.4
a Maximum between two orthogonal directions.
and EDP, respectively. In order to establish an automated still
time-efficient procedure for performing IDAs, the ‘‘hunt and fill’’
algorithm [4] is utilized.
7.2. Numerical criterion for determination of collapse state
One critical issue regarding determining structural capacity
through IDA is to correctly trace structural collapse using nu-
merical criteria. To numerically quantify the collapse state, two
alternate (or supplementary) definitions can bemade; those are
‘‘softening of IM-EDP curve’’ and ‘‘numerical instability’’. The
former is a situation in which IDA curve (IM vs. EDP) starts to
flatten; rather, the latter occurs when the solution algorithm
fails to converge due to singularity in the structural stiffness
matrix, which is in turn a result of severe damage in an ade-
quate number of elements.
The occurrence of softened behavior in concept is a situation
in which the structure has exhausted most of its reserves to
resist lateral displacement, so that a relatively small increment
in input excitation will lead to an excessive increase in
structural response. Regarding IDA results, this phenomenon
can be quantified by defining a slope limit for the IM-EDP
curve. FEMA-350 [1] specifies that the occurrence of flattening
coincides with the IM-EDP slope becoming less than 20% of
its initial tangent. This definition, although straight, in some
cases may lead to large values of EDP that are not acceptable
according to empirical evidences. In consequence, applying
this definition must be accompanied by engineering judgment
and experimental evidence. FEMA-350 [1] recommends thatθmax capacity of steel moment frames determined through
a ‘‘minimum slope’’ criterion shall not exceed the value
of 10%.
Alternatively, numerical instability is a state in which a
solution algorithm cannot converge to a compatible set of
forces and deformations, regarding the current state of the
structure’s mathematical model. In other words, formation
of several plastic deformation mechanisms, or simply plastic
hinges, has caused the structural model either to suffer from
lack of redundancy, in case nomaterial hardening is introduced
to the model, or to have such small stiffness that solving the
equilibrium equation, even for a small increment of forces, is
very difficult. Considering this criterion for determination of
structural capacity significantly relies upon the robustness of
the incorporated mathematical model and solution algorithms,
because a non-convergence event may occur due to factors
other than structural collapse. That is, abrupt local changes
in numerical representation of the consisting elements may
cause the algorithm to fail to converge. This implies that
the dynamic analysis algorithm must be able to accurately
track abrupt changes in structural response that are the result
of nonlinearities associated with the model. The structural
collapse state determined through this criterionmaynot exceed
the demand values determined by practice, as was the case for
the minimum slope limit.
7.3. Solution algorithm
The incorporated solution algorithm in this study involves
recursive shortening of analysis time-step in case of numerical
non-convergence. Using this strategy, the numerical instability
of the model is postponed until the collapse criterion is
governed by excessive structural response. Through this, we
could increase the robustness of the collapse tracing criterion
at the cost of increasing run-time. Consequently, no cases of
premature non-convergence have been faced while performing
the analyses.
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IDA curves for all records, along with summarized curves,
are depicted in Figure 11. Median IDA curves of all buildings are
compared in the same picture. As expected, with an increase in
building height, the IDA’s experience a lower IM for a constant
EDP value. This can be attributed to the well known fact that Sa
capacity is lower for tall compared to short buildings.
8. Limit state analysis
As a part of this study, the probability of occurrence for two
LS’s CP (Collapse Prevention) and IO (Immediate Occupancy)
are evaluated. As stated above, following the recommendations
in [1], the θmax value is limited to 10% for determining the CP
state, along with setting a slope limit equal to 20% of the initial
elastic tangent for IDA curves. For tracking the IO limit state,
θmax is limited to the value of 2% according to the same Ref. [1].
After performing IDAs, the next step towards evaluating
the probability of failure to meet the desired performance of
structures is to extract fragility curves. The fragility function
is the probability of violating LS for any input ground shaking,
with intensity equal to a specific IM value. CP and IO fragilities
for buildings are illustrated in Figure 12. The fragility curves
corresponding to CP are also compared in the same figure.
The Sa values corresponding to 16%, 50%, and 84% failure
probabilities for different buildings are tabulated in Table 5
for the two mentioned LS. These quantities are valuable for
specification of the building design earthquake regarding aTable 5: Sa values corresponding to different failure probabilities.
Failure
probability (%)
3-story building
(g)
7-story building
(g)
15-story
building (g)
IO CP IO CP IO CP
16 0.61 1.70 0.32 1.25 0.3 0.69
50 0.83 2.71 0.50 2.21 0.45 1.23
84 1.04 4.16 0.68 3.05 0.62 1.95
desired failure probability. They may also provide a critical
statement about the correctness of the suggested values
by pertinent provisions. However, evaluating these issues is
beyond the scope of this article and requires a separate study.
In order to account for the probabilistic content of the seismic
hazard in a region, limit state probabilities must be calculated
employing the ‘‘total probability theorem’’. For considering
this issue, in this study, the Performance-Based Earthquake
Engineering (PBEE) methodology proposed by PEER (Pacific
Earthquake Engineering Research center) is utilized [19].
Following the PBEE, the differential of the conditional
probability of exceeding a desired limit state (say CP) at a
specified IM level (say Sa = 1) is denoted by dλLS and is
calculated by: dλLS = G(LS|IM) · dλIM. The term λ in this
equation denotes the Mean Annual Frequency (MAF) function,
whereas G is the Complementary Cumulative Distribution
Function (CCDF). The term λIM is estimated as a function of
IM in a ‘‘seismic hazard curve’’, which is the outcome of a
conventional Probabilistic Seismic Hazard Analysis (PSHA) [20].
The MAF of violating the desired LS is, therefore, calculated
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Parameter T1 = 0.9 s T1 = 1.5 s T1 = 2.1 s
K 1.787× 10−4 5.356× 10−5 1.003× 10−5
T −2.005 −2.021 −2.12
using:
λLS =
 IM=∞
IM=0
G(LS|IM) · dλIM. (1)
In the equation above, G(LS|IM) is the fragility function,
described earlier, corresponding to the LS. For performing the
above integration, which leads to calculation of λLS, the values
of LS fragility are multiplied by dλIM values and are, then,
integrated over the full range of IM values. The seismic hazard
curves used here are obtained from the study by Mahdavi [21].
In [21], the uniformhazardmaps for Tehran citywere generated
and the seismic hazard curves for this city were produced
subsequently. In the closed-form representation of these curves
(in the form of λSa = k(Sa)t ), parameters k and t were
introduced. These parameters are given in Table 6 for the
natural periods of structures under consideration [16]. The
MAF’s of relevant LS’s are tabulated in Table 7.
As illustrated by fragility curves, shown in Figure 12, and
also by values of Table 5 for a specific IM level, the conditional
probability of LS is heightened as the building height increases.
It must be noted that, due to the dependency of spectral
acceleration values on the building’s natural periods, the drawn
comparison is not reliable for making conclusions about theFigure 13: Median story θmax , 3-story building.
performance of buildings with various heights, and are mainly
used for the next parts of the study. When failure probability is
calculatedwith the probabilistic distribution of IMhazard taken
into account, it is not possible to find a uniform trend between
the MAF values
While drawing the above comparisons, the variation in
the level of structural capacity provided in buildings, due to
incorporating non-uniform design spectra (as is the case of
UBC-97’s spectrum) or applying designmember grouping,must
be considered. Tominimize the effect of the second issue, in this
study, member grouping in the design of the buildings has been
minimized.
To investigate distribution of drift maxima over building
height at different intensity levels, the median value of
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3-story building 7-story building 15-story building
IO CP IO CP IO CP
MAF of exceedance (×10−4) 5.71 1.61 15.5 0.70 2.96 4.08Figure 14: Median story θmax , 7-story building.
Figure 15: Median story θmax , 15-story building.
maximum drift is computed for each story level over the
data obtained from all records and at three different Sa levels.
Since incorporating constant IM levels is supposed to yield
non-uniform excitations in different buildings, the IM levels
are selected regarding their imposed collapse probabilities.
These Sa levels are those corresponding to 16%, 50%, and 84%
collapse probabilities, evaluated separately for each structure.
The results are shown in Figures 13–15 for 3-, 7- and 15-
story buildings, respectively.While illustrated curves showvery
similar trends for 7- and 15- story buildings, the distribution
of MMD over height is different for 3-story buildings. For this
structure,MMDhas a relatively linear distribution over building
height, whereas for the two taller buildings, the role of 2nd and
3rd floors is distinctly dominant. This observation is possibly
due to the fact that the failure mechanism of tall buildings
is governed by an accumulation of p-delta effects in one or
more stories. As denoted by IDA curves (Figure 11), the collapse
state of 7- and 15-story buildings, for most of the records, isFigure 16: Seismic demand hazard curves of structures.
preceded by a nearly flat segment, though this is not the case
for 3-story buildings, where the slope of IDA curves remains
almost unchanged. This property can be again attributed to
the accumulation of P-delta effects in particular stories of tall
buildings, causing the failure mechanism of these structures to
be analogous to the buckling failure mode of a slender column.
9. Seismic demand hazard curves
Analogous to the calculation of MAF for different LS’s,
the MAF of structural demand exceeding a specific level
is evaluated via the Probabilistic Seismic Demand Analysis
(PSDA) method [8]. The outcome of the PSDA is a ‘‘seismic
demand hazard curve’’. Similar to the seismic hazard curve [20]
mentioned in Section 8, a seismic demand hazard curve gives
the MAF of exceedance for different EDP levels. For performing
relevant analyses, a formulation similar to that used for
calculation of λLS must be utilized. Replacing the term LS in
Eq. (1) with the term ‘‘EDP > x’’ will lead to Eq. (2):
λLS =
 IM=∞
IM=0
G(DM > x|IM).dλIM, (2)
where G(EDP > x) is again the fragility curve that reflects
the probability of experiencing EDP values greater than x.
Through numerical integration of fragility curves, extracted at
different EDP levels, multiplied by seismic hazard differential
values, as implied by Eq. (2), the seismic demand hazard curves,
illustrated in Figure 16, are obtained for the structures.
It is observed here that the variation of seismic demand
hazard curves, due to changes in buildings height, has
an opposite trend compared to the observed manner of
fragility curves, i.e., with an increase in building height, the
total probability of exceedance for a specific response level
(θmax value) is lowered. The reason for this observation is found
here to be in the trend of seismic hazard curves to decrease
when building height and, consequently, the building natural
period are increased. Consequently, the effect of fragility curves
is neutralized by the hazard values. The comparability concerns
notified in the final paragraph of Section 8 are mentioned again
here.
S.A. Jalali et al. / Scientia Iranica, Transactions A: Civil Engineering 19 (2012) 27–40 37Figure 17: Moment–rotation curve of side-plate connection neglecting cyclic
strength deterioration.
10. Effect of inaccurate modeling assumptions
In order to study how the predicted performance of frames
is affected by using imperfect structural models, the above
evaluation procedure is repeated for two additional models in
which side-platemoment frames are represented incorporating
two alternate models rather than the calibrated model. These
models represent two lower levels of accuracy for reflecting the
structural characteristics of frame members. The performances
predicted by these models are assessed through comparison
with precise model results. The considered inaccurate models
are described as follows:
•Model (1);
The cyclic deterioration of energy dissipating members has
been found to greatly affect the predicted capacity of structural
systems, particularly when a highly nonlinear limit state, such
as CP, is to be assessed [22]. In fact, the occurrence of collapse
in structural systems has been found to be a result of cyclic
deterioration in the properties of structural members [22].
To examine the validity of this remark, in the range of side-
plate systems, cyclic strength degradation introduced to the
calibrated moment–rotation curve of the side-plate connection
is neglected in Model (1). Hence, the typical moment–rotation
curve illustrated in Figure 17 is utilized in lieu of the accurately
calibrated one.
•Model (2);
As an alternative to the lumped plasticity method, which
calls for an accurate definition of plastic hinge properties, with
respect to experimental data, the nonlinear behavior of beams
or columnsmaybe reflected through the fiber-sectionmodeling
method in which only material constitutive laws are needed
to be known. Partial plasticity across the member section, due
to the yielding of material as expected in reality, is efficiently
accounted for in thismethod. Although thismethod provides an
exact approximation of member capacity in the elastic range,
the ability to trace nonlinearities due to components local
buckling is not provided within usage of the fibre method.
Accounting for such nonlinearity, when high resolution micro-
models are not being employed, can only be achieved by using
the lumped-plasticity concept. Despite its limitations, the fibre
method is widely used in the performance prediction process
of structural frames where there is a lack of experimental data
and the plasticity is to be accounted for in a semi-accurate
manner. In the definition ofModel (2), the fibre-section concept
is utilized in conjunction with force-formulated beam-columnFigure 18: Pushover curves of 3 alternate models (3-story building).
Figure 19: Pushover curves of 3 alternate models (7-story building).
Figure 20: Pushover curves of 3 alternate models (15-story building).
elements (as described in Section 3), so that its accuracy in
predicting the performance of side-plate frames is assessed.
The static pushover analysis is performed on the 3 alternate
models using the modal lateral load-pattern [1]. Relevant
curves are compared in Figures 18–20 for 3-, 7- and 15-story
buildings, respectively. As is obvious from these figures, the
difference between the curves corresponding to inaccurate
models and the main model is significant after the yield
point at which almost all curves coincide. The main difference
regarding the nonlinear range of pushover curves is related
to the negative-tangent branches. While the presence of a
descending branch, which becomes steeper in taller buildings,
in the pushover curves related to the main model implies the
amplification of secondary moments, due to accumulation of
P-delta effects, inModel (2), no negative increment in pushover
38 S.A. Jalali et al. / Scientia Iranica, Transactions A: Civil Engineering 19 (2012) 27–40Figure 21: Distribution of median θmax for alternate models (3-story building).
Figure 22: Distribution of median θmax for alternate models (7-story building).
force is implied in any of the buildings; the pushover curves of
Model (1) undergo an intermediate load–displacement regime
regarding this issue.
Because the buildings resistance against lateral deformation
is unrealistically predicted to be high with reference to Model
(2), the use of this model and also Model (1) to a less
severe extent in a structural design process will lead to non-
conservative solutions.
The distribution of MMDs over building height for IM values
corresponding to 84% collapse probability are depicted in
Figures 21–23 for 3-, 7- and 15-story buildings, respectively. As
illustrated by these figures, the predicted MMD is significantly
lower for inaccurate models in near-to-collapse structural
states. As was the case in pushover analysis results, the
unrealistically predicted demands expressed in terms of MMD,
when utilized for designing purposes, will reduce the reliability
of the solution. It must be noted that drift ratios presented
in these curves with values larger than 0.1 are interpreted
as structural collapse, and indicate that at a 84% collapse
probability level, many records have driven the structures into
a collapse state. However, the drift values are still valid for a
response amplitude comparison purpose.
Seismic demand hazard curves of the 3 alternate models are
also compared in Figures 24–26. As in the case of comparingFigure 23: Distribution ofmedian θmax for alternatemodels (15-story building).
Figure 24: Seismic demand hazard curves for 3 alternate models (3-story
building).
Figure 25: Seismic demand hazard curves for 3 alternate models (7-story
building).
different building heights, the trend of θmax hazard curves for
alternate structural models does not follow the previous trend
between pushover and median MMD curves. This observation
is again attributed to the seismic demand hazard curves being
governed by seismic hazard curves, rather than structure
specific fragility curves.
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building).
11. Conclusions
In this study, a side-plate connection subassembly, which
consists of an elastic panel zone as well as two degrading
rotational spring elements representative of the connection’s
critical section, is established and, subsequently, validated
versus experimental [6] and FE [5] results. Utilizing this
assemblage, three buildings representative of different heights
were designed, modeled and analyzed featuring fully nonlinear
assumptions for materials and geometry. The frames were next
subjected to an IDA procedure for a suit of 44 ground motion
records. The outcomes of analyses were used for estimating
building performance in terms of Sa capacities for the two
performance levels, CP and IO. The Sa values corresponding to
16%, 50% and 84% failure probabilities were tabulated regarding
different LS’s for buildings with various heights. These values,
when accompanied by similar values that address awider range
of building parameters, can be used either for specification of
design earthquakes, considering different failure probabilities,
or for making critical statements about the appropriateness of
the values suggested by pertinent provisions.
Also, the MAF of exceedance for the two LS’s was derived
through convolving fragility curves with seismic hazard curves.
Additionally, using the PSDA approach, the seismic demand
hazard curves of structures were extracted, which present the
MAF of exceedance for different demand levels. These curves
were generatedwith the probabilistic content of seismic hazard
taken into account. Furthermore, statistical interpretation was
made of building responses over all 44 sets of response data.
The median values of maximum story drift at three different
IM levels were extracted over all 44 time–history analyses. The
failure mechanism of buildings, with respect to distribution of
MMD over their height, was also assessed.
In order to study how the predicted performance of frames
is affected by using imperfect models, the above procedure
was repeated for two additional frame models, which either
did not reflect the cyclic deterioration of the connection
model, or did not consider the nonlinear behavior of the
connection explicitly. The concluding remarks obtained from
the comparison of performances predicted by models with
different levels of accuracy or by models with various heights,
are highlighted here. While drawing these comparisons, the
difference in the building natural period, which corrupts the
uniform interpretability of the Sa values obtained from fragility
curves, must be acknowledged.• Comparing the fragilities obtained for buildingswith various
heights shows that the probability of failure is higher for
taller buildings at a specific IM level.
• Seismic demand hazard curves illustrate lower exeedance
rates for taller buildings when a particular demand level is
considered.
• Incorporating alternate modeling methods that contain
lower levels of accuracy reveals that the demand values
predicted by these models is significantly underestimated
which if used in a structural design procedure would lead to
estimation of an unrealistically high safety; this is especially
true when highly nonlinear LS’s, such as CP, are to be
assessed.
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